Abstract Modern standards for constructions in seismic zones allow the construction of buildings able to dissipate the energy of the seismic input through an appropriate location of cyclic plastic deformations involving the largest possible number of structural elements, forming thus a global collapse mechanisms without failure and instability phenomena both at local and global level. The key instrument for this purpose is the capacity design approach, which requires an appropriate selection of the design forces and an accurate definition of structural details within the plastic hinges zones, prescribing at the same time the oversizing of non-dissipative elements that shall remain in the elastic field during the earthquake. However, the localization of plastic hinges and the development of the global collapse mechanism is strongly influenced by the mechanical properties of materials, which are characterized by an inherent randomness. This variability can alter the final structural behaviour not matching the expected performance. In the present paper, the influence of the variability of material mechanical properties on the structural behaviour of steel and steel/concrete composite buildings is analyzed, evaluating the efficiency of the capacity design approach as proposed by Eurocode 8 and the possibility of introducing an upper limitation to the nominal yielding strength adopted in the design.
The material overstrength factor (c ov ) together with the design one (X) contribute to size the protected elements; for example, the columns of MRF are designed using conventional solicitations defined as E column;i ¼ E gravity i þ 1:1 Á c OV Á minX j Á E seismic i
, in which the contribution of seismic action (E i seismic ) is amplified adopting both the overstrength factors (EN1998-1:2005; D.M.14/01/2008). Variability of the mechanical properties of materials (i.e. yielding strength) so plays a key role in determining the real collapse modes: if not properly controlled, it may alter the localization of plastic hinges compared to the results of the capacity design, leading to a lower seismic energy dissipation and to an unexpected global behaviour of the building.
The c ov is introduced to reduce the influence of the material variability on the capacity design approach, while X factor, that is mainly a 'structural' factor taking into consideration the difference among demand and capacity of structural elements.
However, inconsistencies between the design standards for steel and steel-concrete composite buildings and the production standard still exist. For instance, EN10025 (2004) does not prescribe the adoption of an upper limitation to yielding strength for the concerned steel grades: this translates into effective value of yielding strength also higher than c ov Á f y;nom , varying thus the collapse mechanisms designed through the capacity design approach (EN1998-1:2005 .
Several studies in the current scientific literature deal with the influence of material variability in the structural behaviour of buildings designed in seismic areas. Elnashai and Chryssanthopoulos (1991) examined the effect of random material variability on the structural response of buildings under earthquake loading conditions, applying a statistical procedure to a simple MRF portal frame, aiming to evaluate the consequences of such scatter on the weak beam/strong column scheme adopted following the capacity design approach and possible implications for design codes. Rossi and Lombardo (2007) analyzed the influence of the design overstrength of the seismic link on the behaviour of EBF designed in accordance with capacity design principles; deterministic design values of yield strength were mainly assumed, while some random analyses were also carried out to achieve an accurate check of capacity design and a global understanding of the sensitivity of the structural response to real strength distributions. Obtained results highlighted the frequent concentration of plastic deformation in few storeys due to the high scatter of normalized c ov and a performing behaviour of EBF if the scatter is anyway limited to 1.25, according to EN1998-1 (2005 . Badalassi et al. (2013) deeply investigated the effects of variability of the material properties and of the seismic input on the ductile behaviour of EBF steel structures, allowing to evaluate the efficiency of the capacity design approach in predicting the real seismic performance of such constructions and the influence of material scattering in the activation of collapse modes.
Within this technical context, a European research project funded by the Research Fund for Coal and Steel (RFCS), ''OPUS-Optimizing the seismic Performance of steel and steel-composite concrete structures by Standardizing material quality control'' (Braconi et al. 2013a, b) , was carried out. The project aimed at investigating the influence of material properties variability on the ductile behaviour of different steel and composite steel/concrete structural types (MRF, CBF and EBF) . The behaviour of the designed structures was analyzed through Incremental Dynamic Analyses (IDA) adopting material properties generated using a probabilistic model realized using actual production data (Badalassi et al. 2011; Badalassi et al. 2013; Braconi et al. 2015; Somja et al. 2013) .
The results were presented in terms of activation probability for each relevant collapse criteria, analyzing the variation of the structural safety level as function of the demand imposed by the earthquake and of the material properties. The generated results also allowed: to assess the structural performance of buildings in terms of behaviour factor q (Braconi et al. 2013a, b; Braconi et al. 2015) ; to measure the impact of imposing upper limitations to the yielding stress of steel grades through additional quality control; to evaluate the efficacy of the capacity design approach for the protection of dissipative members through the adoption of the overstrength coefficients, c ov and X.
In the present paper the main results of aforementioned OPUS project (Braconi et al. 2013a, b) are illustrated with particular reference to the influence of materials properties variation on the seismic performance of steel and steel-concrete structures. The analysis was performed combining different lateral resisting systems (MRF, EBF and CBF), different steel qualities (S235, S275, S355 and S460) and adopting bare steel and steelconcrete composite solutions. 15 tri-dimensional structures were designed and their mechanical response and collapse modes accurately characterized. A suitable probabilistic procedure was then set-up in order to estimate the failure probability associated to the identified collapse modes and a probabilistic model of the mechanical properties-f y , f t , e u -of the European structural steel products (profiles, plates and reinforcing bars) was accurately developed and calibrated.
The proposed probabilistic procedure
Reliability problems in earthquake engineering are often characterised by non-linear limitstate functions, with high curvatures and multiple design points. Robust procedures shall be then applied to achieve reliable results: some of them are briefly presented in the following, aiming to define a correct methodology to be used in the present work.
The structural failure during an earthquake occurs when the capacity (C) is exceeded in one or more elements by the demand (D), being both C and D time-dependant and mutually inter-dependant: the failure of the whole structure is related to the sequence of collapses occurring in the structural elements. In this context, a complete non-linear timedependant seismic reliability analysis should use random processes leading, in many cases, to excessive and time demand computing (Somja et al. 2013) .
In the common practice, the time-variant approaches are not applicable to the seismic reliability due to the complexity of the problem, which becomes extremely high for nonlinear systems.
The practical applications of the seismic reliability follow time-integrated approaches, in which the maximum response of all critical elements is collected neglecting their not simultaneous responses: from a practical point of view, this means that, for each seismic input, the maximum response of selected parameters (i.e. base shear, displacement and so on) has been considered, even if not achieved in correspondence of the same instant of the accelerogram.
Time is implicitly integrated in the collected variables and the definition of collapse criteria is identified by predefined values, taking into account the mechanical properties of the materials and the features of the structural typology.
In this framework, FORM and SORM methods (Denoel 2007; Spaethe 1992; Breitung 1984) , that are considered as valuable for codes calibration and reliability problems on simple systems, have a limited efficiency. Simulations methods, on the other hand, appear to be more reliable, because not usually requiring ''a priori'' knowledge of the limit state function. However, they need a large number of numerical analyses to estimate, with a sufficient accuracy, the probability of failure.
In last decades, many optimization techniques devoted to the improvement of simulation methods have been defined in order to reduce the computational work. Importance sampling is one of most used and appears to be a promising one in failure probability estimation although it requires the knowledge of the failure domain in order to generate samples for carrying out the probabilistic analyses with the necessary accuracy. Many other methods based on the same approach have been proposed as for instance Directional Simulations and Adaptive Sampling. Moreover, other methods essentially based on a statistical interpretation of the results have been also developed. Those techniques, as for instance the Surface Response focus the attention on the definition of an appropriate function linking structural response (output variables) to seismic hazard/material variability (input variables). However, these techniques are characterized by one of the previous weaknesses, i.e. predicting the response around the design point.
Therefore, direct simulation methods as Monte Carlo, although time demanding and requiring a thorough knowledge of the structural system under examination, are a reliable technique for estimating the failure probability. It is also evident that the knowledge of the structural system-number of design points; limit-state functions; probabilistic variables; dependence and interdependence among variables-represents the basis for a successful or unsuccessful application of Monte Carlo method.
Basing on these considerations, for the purposes of the present study, a time-integrated approach was adopted within the following seismic reliability framework:
Step 1. Knowledge. The deep knowledge of structural systems was obtained through numerical simulations -non-linear static and dynamic analyses-and the identification of collapse modes.
Step 2. Collapse criteria. For each structural typology, the relevant collapse criteria at global and local level were defined through an accurate analysis of the outcomes of the Step 1.
Step 3. Probabilistic variables. A probabilistic model for the generation of samples of the mechanical properties was defined. The scattering of steel mechanical properties was represented by a multi-variable model in which the yielding strength R e,H (f y ), the tensile strength R m (f t ) and the elongation at fracture A (e u ) were considered with their probabilistic interdependencies.
Step 4. Seismic hazard and input. Seismic actions were modelled adopting the hazard model proposed by EN1998-1:2005 calibrated according to design parameters associated to ultimate limit states (ULS). According to this choice, the response spectrum proposed by Eurocode 8 (EN 1998 (EN -1:2005 was assumed to generate seven seismic inputs to be adopted during the non-linear time-history analyses. In such context, the peak ground acceleration (PGA) was chosen as intensity measure (IM).
Step 5. Numerical simulations. The correlation between the seismic demand and the structural response of case studies was defined through non-linear dynamic analyses. The PGA was increased up to the level corresponding, for each different seismic input, to the activation of relevant collapse modes, identified in Step 1 and Step 2.
Step 6. Probabilistic procedure. The results of the dynamic analyses were analyzed employing a statistical procedure aimed at constructing the fragility curves and yearly threshold exceedance probability of the relevant collapse modes for each case study. The probability of failure for each case study, P fail , was finally estimated.
3 Design and modelling of case-studies 3.1 Seismic design of case study buildings A representative set of case study buildings (i.e. MRF, CBF and EBF using steel and steelconcrete composite solutions), housing different activities, was designed according to Eurocodes; some examples of the general schemes of designed buildings are presented in the Fig. 1 . Two levels of design seismic actions were adopted: low and high seismic hazard, with peak ground acceleration (PGA) equal to 0.10-0.15 g (low) and 0.25 g (moderate). Static loads were evaluated according to Eurocode 1 (EN1991-1-1:2005) adopting the same wind action for all structures. Table 1 summarizes the information related to the use category, live and environmental loads (snow, wind and earthquake) and floor typologies, whereas geometry and resisting systems are listed in A procedure aiming at optimizing elements' dimensions and at avoiding over-sized structural members was subsequently applied, especially for limiting the over-sizing on seismic design induced by wind loads higher than seismic ones. The ''optimal design'' was not always reached due to design rules and limitations imposed by Eurocodes.
MRF structures were designed considering columns fixed at the base and adopting full strength rigid joints, while pinned connections were used for the design of braced frames (both EBF and CBF). The design of MRFs for static load combinations leaded to oversized beams respect to the simple seismic strength's requirements and the same effect was detected for EBFs as well. Moreover, the final design of protected elements, such as the columns of MRFs, was strongly influenced by the seismic design composed by capacity design approach, drift limitations and the sensitivity to second order effects (h):
being: E i gravity the effect on the i-th member due gravitational loads; E i seismic the effect on the i-th member due to the seismic action; E i c.d the effects on the i-th member coming from Rd;PL the design resistant bending moments of columns and beams; d r the drift coming from the analysis using the design response spectrum; d e the elastic drift coming from analyses and d LIMIT its maximum allowed value;m the reduction factor associated with the damage limitation (DL) condition; q d the displacement behaviour factor; P tot and V tot respectively the total vertical actions and the horizontal ones on the i-th floor; h the sensitivity factor to second order effects.
The X factor represents the structural over-strength of the non-dissipative members designed to remain in the elastic field during earthquake, compared to dissipative ones, which undergo plastic deformations. The X factor is defined according to the following equation:
being a a coefficient equal to 1.0 for MRFs and CBFs and 1.5 for EBFs, while R d,i is its plastic resistance and E seismic i;dissipative is the maximum level of solicitation induced by the seismic combinations.
The over-sizing of non-dissipative members and the adoption of limitations for interstorey drift ratio increased thus the size of columns and beams, respect to what effectively required by the seismic loading condition. To solve this problem, an appropriate design process seeking behaviour factor harmonized with strength requirements coming from static load combinations was followed. The procedure leaded to the adoption of lower q factors with respect to what suggested by standards. In the case of EBFs the control of the links' over-sizing was checked considering that difference amongst X i of all links shall not exceed the 25%, according to Eq. (6):
where X max and X min are respectively the maximum and the minimum values of the structural over-strength factors for the dissipative members. In order to decouple static effects from seismic effects on links and to reduce the design over-strength, beams containing links were coupled with parallel beams to which the entire vertical loads were assigned. This solution allowed the optimization of the seismic links (beams), reaching a utilization ratio equal to 1.0 and over-strength coefficient X up to 1.5 in seismic load combinations. This optimisation resulted, however, in bigger bracing sections and the EBF final design was also heavily influenced by second order effects by buckling control in compressed members. Concerning CBF solutions, the design process proposed by EN1998-1:2005obliged to perform an accurate design in order to satisfy limitation related to brace slenderness ratio (k):
and the assessment of Eqs. (1), (3) and (4). In some cases, it was possible to optimise the design; for all the others, it was necessary to adopt, for bracings, different steel qualities at different floor levels. The design of steel-concrete composite structures was executed in agreement with Eurocodes' prescriptions (EN1998-1:2005 EN1990:2005 EN1994-1-1:2005 and with the evidences and results in the scientific literature (Braconi et al. 2008a, b) . Lateral torsional buckling was supposed to be prevented for beams as well as for columns, in order to ensure a stable behaviour of the members during the development of the plastic hinges. All columns were designed with the increased solicitations coming from the capacity design in order to respect the strong column-weak beam principle for MRFs.
The previous design procedures such as the adoption of different steel grades for braced configurations, the selection of optimized behaviour factors for MRFs and the remainders are not commonly adopted in the current engineering design practice. Thus the default procedure of Eurocode 8 (EN1998-1:2005) can lead to over-sized structural solutions which have higher performance than those required by the seismic demand. In particular, the capacity design approach works in this sense giving structural solutions not fully optimized (Braconi et al. 2015) . More details regarding the design of case studies can be found in Badalassi et al. (2013) and in Opus Final report (Braconi et al. 2013a, b) .
Numerical modelling of the case study buildings
Numerical analyses of buildings 1, 2, 14 and 15 were carried out by using Dynacs software (Kuck and Hoffmeister 1993) . The structures were modelled using bi-dimensional frames with fibre beam elements and adopting a bi-linear stress-strain law with kinematic hardening. The braces were modelled through non-linear spring elements, able to represent the elastic-plastic cyclic behaviour under tension, the global buckling under compression and the cyclic degradation. Large deformations and P-D effect were considered.
Composite steel/concrete structures (buildings 6, 7, 8, 10 and 11) were modelled with FineLG software (2003), using fibre beam elements for the steel part and other fibre Yes elements for the concrete one. The diagonal members of EBF and CBF structures were modelled using steel beam element including lateral buckling phenomena under compression. The seismic links were modelled through a classical non-linear beam element, with shear deformation included; the parameters of the beam were calibrated using a refined FEM model. Buildings 5, 12 and 13 were modelled using Abaqus software (2005), adopting 3-node quadratic beams in plane for beams and columns and 3-node quadratic beams in space for concentrically braced frames. An elastic-plastic model with linear kinematic hardening was used to model the steel structural elements. Buildings 3, 4 and 16 were modelled using OpenSees software (Mazzoni et al. 2007 ) and fibre elements for all the structural members. The buckling phenomena of compressed members were introduced providing an initial imperfection (1/500 of the brace length) to the middle point of the brace and an initial imperfection to the top of the columns. The Menegotto and Pinto (1973) law was used to model flexural behaviour of elements, while for the shear deformation of the links, a bilinear elasto-plastic with hardening force-angular distortion law was adopted.
The reliability of adopting different software for the modelling and the numerical analyses of case study buildings was deeply assessed in the main framework of the Opus project (Braconi et al. 2013a, b) , since strictly connected to the analysis of results and the following conclusions. To this purpose, three benchmark structures (i.e. a brace element with different sections, a portal frame and a portal frame with bracing system) were modelled and subjected to monotonic and cyclic pushover analyses, as described in Braconi et al. (2015), showing a good agreement of the results obtained from the adoption of the four software Dynacs, FineLG, Abaqus and OpenSees. It is moreover to be noted that the considered case studies (i.e. MRF, CBF and EBF steel and steel-concrete composite structures) represent typical and standard structures designed following the principles of the capacity design approach and consequently characterized by a linear behaviour everywhere except for the dissipative zones: that nonlinear behaviour (and eventual difficulties related to modelling) is then strictly limited to specific zones, deeply calibrated (think for example to the example of the calibration of the brace element for CBF case studies). As a consequence, and in relation to what deeply described in Braconi et al. (2015) the calibration procedure of software was considered sufficient for assuring the reliability of results. Figure 2 presents some examples of three-dimensional models elaborated for the case studies; more details regarding the elaboration of the numerical models can be found in Opus final report (Braconi et al. 2013a (Braconi et al. , b, 2015 Badalassi et al. 2013 ).
Structural performance of designed buildings: selection of collapse criteria
Seismic demand was defined in relation to performance levels such as Damage Limitation (DL), Severe Damage (SD) and Near Collapse (NC). The definition of the limit states and of the associated structural performance under seismic actions was necessary to correctly understand the structural behaviour. As general rule, deformation criteria (i.e. the overpassing of the interstorey drift limit, the reaching of the ultimate rotation of beams…) or local ductility criteria were selected as main indicators. Non seismic-specific assessments (i.e. shear capacity of brittle elements, global buckling) were also considered. The global deformation criteria as roof and storey drift were defined according to FEMA356 (2000) and used only as indicative values: this means that these limitations are not mandatory according but were anyway taken into consideration in the present work. Additionally, the maximum forces acting in the connections and at foundation level were obtained for further investigations but not directly used in the present work. Limit states considered for MRF, CBF and EBF are presented respectively in Table 3 . More details and information can be found in Braconi et al. (2013b Braconi et al. ( , 2015 , and Badalassi et al. (2013) .
To better specify what is presented in Table 3 concerning the limitations for the interstorey drift ratio, it is necessary to underline that FEMA 356 does not provide any limit values for such parameter. Nevertheless, in the case studies analyzed in the present paper, the limits for roof displacement are used as interstorey drift criterion. The interstorey drift does not show directly the collapse of the building, but the limits are based on the experience of former earthquakes. Hence, the interstorey drift is considered as 'indicative value' and shall be checked against proposed limits in EN1998-1 (2005) and FEMA 350.
Moreover, according to the approach adopted in the present work, the expression ''indicative'' means that the considered criterion is not mandatory but was anyway followed and considered for nonlinear analyses, since representative for the considered structure. The expression ''To evaluate'' means that the considered criterion, even if important and relevant for the considered structure, was not introduced in the analyses since no sufficient information are present (for example, joint forces for the design of connections, forces adopted for the design of foundations and so on).
Modelling of material property variability
The analysis of the variability of material properties for different steel products was carried out on the basis of production data kindly furnished by some industrial producers. Statistical investigations were carried out organizing collected data in homogeneous classes Data collected by industrial producers were related to steel reinforcing bars, structural steel profiles and steel plates. The set of all investigated steel products is reported in Tables 4, 5 and 6; steel grades, reference production standards and information on geometrical parameters are also listed. For sake of completeness, the statistical parameters were compared with information and modelling parameters used in a previous research (PROQUAM, Cajot et al. 2005) or suggested as suitable for probabilistic evaluation of structural safety (JCCS 2001). The statistical analysis of collected data was performed adopting traditional procedures and was necessary for the elaboration of the probabilistic material model used for the generation of samples to adopt in numerical analyses. The model was defined as multivariables, in which the statistical interdependencies between yielding stress, tensile strength and elongation at fracture were properly taken into account. The collection of data concerned the stress-strain curves obtained by industrial partners during quality checks as well: a database was created and elaborated in order to define simple correlations between the key points of the stress strain curves and the probabilistic variables (f y , f t , A gt or e u ). The stress-strain curve coming from the industrial quality checks was calibrated and compared with some experimental results coming from PLASTOTOUGH research project (Schäfer et al. 2010 ).
Statistical analysis of industrial production data
A statistical analysis was executed on collected data in order to define mean (l), standard deviation (r), coefficient of variation (CoV), variances (r xy 2 ), upper and lower percentile (X 5% and X 95% ), Curtosi and Skewness indexes for each set of homogeneous steel products defined on the basis of indications contained in the production standard (in which steel grades and geometries are defined). In particular, among all the furnished data, the following mechanical properties of structural steels (profiles and plates) were analyzed:
• For steel reinforcing bars, the following mechanical properties were investigated: First order moments (l) and second order quantity (r) allowed a general comparison between the samples data set and the relative values proposed by production standards. The coefficient of variation (CoV) allowed the comparison between scatterings showed by different mechanical properties. The Curtosis and the Skewness indicators gave a picture of the shape of statistical distribution of observed samples, while variance and co-variance coefficients defined the correlation matrixes and the probabilistic interdependencies between observed mechanical parameters.
Structural steels for profiles, plates and steel reinforcing bars
The characterization of mechanical properties variability for the structural steel profiles concerned the following steels grades: S235AR(?M), S275AR(?M), S275M, S355AR(?M), S355 M and S460 M. Data related to structural profiles rolled according to series HEA, HEB, IPE, angles and channels were collected by different industrial producers (i.e. Producer A, Producer B and Producer C). Besides the steel profiles, data about structural plated elements were collected from Producer B as well.
The distribution of data of plates and profiles was not continuous and homogeneous across all steel grades and thickness classes according to the production standard EN10025 (2004), due to the different requests made by the market to the contributors in terms of qualities, thickness or product types. Sets characterized by low statistical meaning were then neglected. The statistical evaluation of the meaningful data was executed identifying first macro groups in terms of grade and thickness class as defined by EN10025 (2004) . The results of the statistical analysis are reported in the Appendix, from Tables 23, 24 , 25, 26, 27, and 28 and in the corresponding Figures (from Figs. 17, 18, 19) .
Data related to reinforcing bars (Table 8a) , obtained from three different plants in Italy (for steel grade B450C), Spain (for steel grade B500SD) and France (for steel grade B500B), were grouped using the nominal diameter as parameter. The mechanical properties assumed as variables for the characterization of each macro-group were selected according to Eurocode 2 (EN1992-1-1:2005): yielding stress-f y (R e,H ), tensile strength-f t (R m ) and elongation at maximum load-A gt (e uk ).
Concrete properties
A European producer kindly furnished its collected data on concrete properties. The concrete strength classes analysed in the project were only those used in the design of the steel-concrete composite case-studies. The unique mechanical property of the concrete assumed as probabilistic variable was the maximum compressive strength. The statistical data of the concrete strength classes are represented in the Appendix (Table 28 ).
Probabilistic model and generation of samples
The adopted probabilistic model was based on a multi-varied Gaussian system, correlating Gaussian variables of such system with Log-Normal functions describing the probabilistic laws of all the observed material properties (f y , f t and A gt ) as follows. Given two vectors of scalar random variables, X and Y:
hypothesizing that X normally distributes and Y log-normally distributed and that the following relationships exist:
X ¼ ln½Y ð 10:bÞ Naming Y i the i-th scalar component of the Y-vector and X j the j-th scalar component of the X-vector, the scalar mean of the single components, l Xi ; l Xj ; the standard deviation, r Xi ; r Xj and the variance coefficients,r Xii ; r Xjj ; r Yii ; r Yjj ; of the two vectors are linked by the relationship summarized in Table 7 .
Using the previous general relationships, the probabilistic models for different data set were simply obtained using a correlation matrix of observed mechanical properties:
where single components of the matrix are defined using following formulas and identities (13): Table 7 Correlation between log-normal and normal variables
Normal to log-normal Normal to log-normal Mean value (11a)
The correlation matrixes for steel materials were developed assuming the gathering of sampled data in homogeneous classes individuated by steel quality and thickness ranges. The dependence of the mechanical properties on the thickness of the plated elements was implicitly integrated in the models: different models for different thickness ranges (as individuated by EN10025 (2004) and EN10219:2006) . For the reinforcing bars, only one model was defined for each steel quality, neglecting the fluctuation of statistical moments due to the rebar diameter. The correlation matrix so obtained for each macro group are reported in Tables 8, 9 and 10 and were used for the samples generation.
The procedure adopted for generating samples was organised according to the following steps:
• transformation of mean, variance and co-variance, l yi , r yi and r yii , associated to LogNormal distribution into the corresponding mean, variance and co-variance, l xi , r xi and r xii , associated to an equivalent Normal distribution using relationships in Table 7 ; • definition of probability density function and correlation matrix:
• generation of mechanical variable samples adopting a Monte Carlo approach;
• transformation of generated samples in the Log-Normal distributed variables using the relationships of Table 7 .
Uni-axial constitutive law for steel
In order to complete the characterization of steel products, on the basis of a database of about 60 curves collected by industrial partners from profiles of different qualities (including S235, S375 and S355), an appropriate monotonic-skeleton curve for steel stressstrain law was then elaborated. The model was validated comparing results with an experimental cyclic testing executed on a steel beam (Schäfer et al. 2010) .The analysis of the experimental stress-strain curves identified 4 significant points (Fig. 3 ):
• Point P1-the yielding point in which R e,H and e y are localized.
• Point P2-the end of the yielding plateau in which f h = R e,H and e h are localized.
• Point P3-the point at which the maximum load is reached where f t = R m and A gt are localized.
• Point P4-the elongation at fracture e u and corresponding strength f(e u ).
The experimental values related to the described four points were statistically analyzed correlating P2 and P3 values with the three mechanical parameters assumed as probabilistic variables in the present study: f y (R e,H ), f t (R m ) and e u (A gt ). To these purposes, a linear regression was executed in order to correlate e h and e t with the three variables and thus having the stress-strain law as function of f y , f t and e u . The formula (15) shows the linear relationships adopted for linear regression whose parameters are presented in Table 11 . In Fig. 4 the comparison between experimental data and values evaluated by the model are shown. Table 9 Correlation matrix adopted for the structural steel model with thickness higher than 16 mm 
Deformation in % 
Validation of regression data and of the obtained stress-strain laws was made against the experimental results obtained in Schäfer et al. (2010) . More details and information on validation can be found in Braconi et al. (2013b) . Basing on such calibration, for sake of simplicity, a model including kinematic hardening, was chosen in the present study.
5 Modelling of the seismic hazard
European seismic hazard and seismic input
According to EN1998-1 (2005 , the annual rate of exceedance of the reference peak ground acceleration (PGA) is expressed by the following relationship (16):
where the factor k-related to seismicity of the area-is usually assumed equal to 3 as representative of the European region. The value of k 0 is fixed according to the basic performance requirements in order to fit general requirements of seismic action for the Non Collapse Requirement (NCR). The seismic action assumed during the structural design was then characterized by an exceeding probability of 10% (P NCR -probability of Non Collapse Requirement) in 50 years (T L -exposition or reference period of the structure). The return period of seismic action (T R ), correlated with P NCR and T L , was then equal to 475 years for the design PGA associated to NCR. During the design of selected case studies, PGA respectively equal to 0.25 g and 0.10/ 0.15 g were selected for high and low seismic regions, associated to a rigid soil (typology ''A'' with V S,30 higher than 800 m/s) and to a unitary importance factor ( I ). The importance factor can be increased accordingly to classification proposed by National Authorities for each seismic zone and the design PGA through following relation (17):
Different PGA levels were associated to the relevant Limit States, which were grouped in two macro-groups: damage limitation group and collapse prevention group.
The level of seismic action corresponding to the absence of damage (i.e. complete integrity of infill walls or partition walls) was determined scaling the design seismic action in order to taking into account a lower return period by using m parameter as proposed by EN1998-1 (2005 . The parameters of the hazard function fixed assuming the reference k factor proposed by Eurocode 8 (EN1998-1:2005) and imposing the correspondence between PGA levels and appropriate limit states are listed in the Table 12.
Generation of the seismic inputs
Seven artificially generated and statistically independent time histories were generated from the design spectra using the SIMQKE software (Vanmarcke et al. 1999) .The parameters reported in Table 13 were used for generating the artificial earthquakes (PGA, spectrum type and soil) at which a trapezoidal filtering function (total and strong motion duration) was applied. The relevant eigen-periods were assumed to be in a range between Table 12 Levels of PGA with the corresponding return period and exceedance threshold probability for high and low seismicity areas and parameters calibrated according to chosen PGA design levels Braconi et al. (2013a Braconi et al. ( , b, 2015 . For each type of seismic intensity (design spectrum), 7 artificial accelerograms were generated. A baseline correction was applied to the accelerograms in order to avoid displacements running outland so obtaining a sufficiently small displacement at the end of the record (Badalassi et al. 2013) . The adequacy of the accelerograms was checked through the evaluation of the related elastic response spectra (Fig. 5) . For periods lower than T B the spectral value S a resulted slightly high, however the requirements defined in EN19981 (2005) were fulfilled. The COV of the spectral values for the 7 accelerograms was between 0.04 and 0.12 (Braconi et al. 2013a, b) .
IDA and application of probabilistic procedures
In general, the estimation of exceeding a certain limit state (i.e. missing an expected performance) within a given period can be calculated adopting the general probabilistic approach proposed by Pacific Earthquake Engineering Research centre (Porter 2003) summarized as:
where k(EDP) is the annual probability of exceedance of EDP of a fixed limit. The variables involved in the equation are:
• Intensity Measure (IM). This denotes the ground motion intensity through an appropriate measuring scale as for instance, PGA or the spectral acceleration S e;PGA T 0 ð Þ. • Engineering Demand Parameters (EDPs). The seismic demand needs to be characterized by a set of response measures-EDPs-as for instance, top roof displacement, interstorey drift ratio or others that can be correlated with damage and performance of the facility.
• Damage Measures (DMs). This refers to the conversion of response measures to quantifiable damage states that can be identified after the seismic event and correlated to facility performance.
The output of IDA simulations defines the correlations between EDP and IM by collapse criteria of the structural system that relate DMs to EDPs. The different terms contained in (18) have the following role:
• G DMjEDP ð Þis the complementary cumulative distribution function or the conditional probability that DM exceeds a specific limit value given a set of EDPs;
• dG EDPjIM ð Þ j j is the probability density function that EDPs exceeds a specific response threshold given the intensity level of the earthquake (i.e. the fragility of the facility);
• dk IM ð Þ j jis the differential of the mean annual frequency of exceeding the intensity measure (which for small values is equal to the annual probability of exceedance of the intensity measure).
The PEER framework can be further specified taking into account the variability of mechanical properties as well through the following formulation:
where the material variability (MV) is explicitly considered in the formulation of annual exceedance probability k DM ð Þ. The term G EDPjIM; MV ð Þrefers to the structural response, i.e. the cumulative density function of the probability that EDPs exceed a certain threshold given an IM level and a set of material properties MV. The Eq. (19) is numerically estimated using the IDA outputs being extremely complex solving the PEER approaches in a closed form, especially with complex facilities.
Performing of the IDAs within the PEER framework
The IDA simulations carried out in the present work (7 earthquake 9 500 set of mechanical properties 9 N PGA levels) directly integrated the variability of IM and MV into the EDP, resulting in the fragility for a given intensity and material variability of each relevant collapse mode of the structure under examination. Then the fragility was integrated with the seismic hazard associating the probability of failure for each relevant collapse mode of the case study to the specificities of the site. In such a case, the result of the analysis is expressed in the annual probability of exceeding a given threshold of the response given a specific IM of the site.
Concerning the variability of the mechanical properties, it was assumed as probabilistically independent for beams and columns whereas the columns of two subsequent floors were assumed as totally correlated (e.g. steel from the same heat). Moreover, the PGA levels to be explored during each IDA procedure were preliminary identified for using only those activating the relevant collapse criteria for each case study; therefore strip method approach for the simulations were applied (Pinto et al. 2004 ).
The IDA output was standardized (standardised variables), defining auxiliary variables, one for each collapse criterion, dividing the i-th component of EDP-EDP i -by the correspondent value identifying the exceedance of a limit state-DM i,u :
These standardised variables were analysed for evaluating the basic statistical parameters and tested against the v 2 test for identifying a suitable statistical distribution. When the test was not negative, a Normal or Log-Normal distribution was assumed. Instead, with a negative test, the statistical cumulative density function was numerically built directly from data and completed with tails built up using exponential functions calibrated through the IDA output.
The probability of failure for each collapse criterion associate to a PGA level and an accelerogram was evaluated using its cumulative density function, being P f ¼ P Y [ 100 ½ , calculated as the average fragility curve of each specific collapse criterion (Fig. 6 ).
Exploitation of IDA results

Probabilistic assessment of structural performance
The probabilistic procedure was first applied for estimating the reference P fail characterised by the variability of the material mechanical properties (500 samples) considering 7 seismic input (7 artificial accelerograms compatible with the design spectrum). Subsequently, the P fail was re-evaluated using a set of pre-conditioned samples in order to simulate the application of an additional quality check to the EN10025 (2004) requirements (for instance, the requirements imposed by EN1998-1:2005 to structural steels).
The 500 samples generated for each structural case study were reduced imposing that the steel properties in the dissipative zones had a fixed maximum yielding stress (f y,act ), Fig. 7 , as foreseen by EN1998-1 (2005) where f y,act /f y,nom = 1.25. The numerousness of reduced samples set was different for each case study due to the randomness of Monte Carlo generation of the samples (i.e. steel quality variability), not allowing to entirely carry out the same analysis for all the case studies.
In the following, the results of probabilistic analyses are presented grouping the case studies considering the structural typology, as follows:
• Steel EBF buildings (no 3, 4 and 16).
• Composite steel-concrete buildings (no 6, 7, 8, 9, 10 and 11).
• Buildings with combined MRF and CBF (or EBF) structure (no 1, 2, 5, 13, 14 and 15). The reference P fail was assumed as represented by the structural safety attainable adopting EN1998-1 (2005) design procedure and the EN10025-176 (2004) production standard as actually issued by CEN. Its variation was then estimated referring to the upper limitation of yielding stress.
The analysis of P fail values was performed assuming that a value of 10 -3 , i.e. yearly failure probability associated to seismic action return period of 475 years, is acceptable failure probability of a single structural member (Melchers 2002; Hasofer and Lind 1974; Ellingwood et al. 1980; Porter et al. 1998) belonging to the case studies (whose design was optimized).
Results of probabilistic investigations
In the following paragraphs the estimated P fail of the different case studies are presented. The tables show the results related to the structural elements for which the relevant collapse criteria activate or for which the estimated probability is not extremely low, in relation to the different structural typologies considered.
EBF resisting system: case 3, 4 and 16
The case study no 3 (Fig. 8a) showed a P fail of the braces (criteria G; Br1, Br2, Table 14) lower than those along Y direction (criteria G; Br1, Br2) due to the limitation of lateral displacements required by frame 3X configuration compared to frame 3Y. The design of the links was accurate in both frames and aimed at optimizing X factors and avoiding oversized seismic links: this resulted in comparable values of P fail (Criteria N; 3X: B1-5; 3Y: B1-20). P fail of the first story columns was very low due to the highest demand imposed by the static load combination (Criteria G; 3X: collapse not activated at all; 3EBFY: C1, 2 and 4).
The design of case no 4 (Fig. 8b) resulted in an estimation of the P fail generally lower than the values in the case no 3 (around one order of magnitude, Table 15 ). This is a consequence of the design requirements (low seismic hazard and lower ductility) and the adopted seismic design procedure that yielded oversized structural elements..
The case study no 16 (Fig. 8c ) due to its geometry showed values of the estimated P fail similar to those shown by case 3 for the seismic links (criteria N; 16X: B1-B6, 16Y: B1-B12 , Table 16 ), the braces (criteria G, 16X: Br1-Br6; 16Y: Br1-Br6) and the columns (criteria G; 16X: C1-C4; 16Y: C1-C7). Values of annual probability of failure were in-line Bull Earthquake Eng (2017) 15:1559-1607 1585 with the limit proposed by Melchers (2002), equal to 10 -3 under seismic actions. Eurocode capacity design approach-material over-strength factor, c OV , and structural over-strength, X-ensures an adequate protection level and in some cases leaded to very conservative design. .
The probabilistic procedure was then newly applied imposing a preconditioning of material input variables: the real yielding value of steel quality-f y,act -used in the dissipative members was limited imposing different upper limits (fictitious production controls) equal to 1.375, 1.35, 1.30 and 1.25 times the nominal yielding-f y . The introduction of these controls reduced the numerousness of the materials sample to be used in the probabilistic procedure: the reduction was less evident for S355 quality than for S275 quality.
The effects of these fictitious production controls on case no 3 and case no 4 are shown in Figs. 9 and 10. It is worth noting the larger effects of the control on the case 4-made using S275-than the effects on case no 3-made on S355, whose quality production controls are expected to be tighter. In general, the introduction of ''production control'' caused a variation in the estimated risk: the variation of link failure goes from ?2 to ?25% while the variation of the brace failure goes from -1 to -35%. It is thus undeniable that stricter the production control, larger the demand on ductile elements of the structural system: therefore, the threshold of the f y,act fixed by production controls should be thoroughly weighed in order to avoid unbalanced solution in which the exploitation of plastic resources might be excessive. In the cases of the bracing elements, Figs. 9b and 10b, the braces less conditioned by stiffness requirements showed the larger decrements in failure probability, while those over-sized by the designing process were not influenced by ''production controls''. 7.2.2 Steel-concrete composite resisting system: case 6, 7, 8, 9, 10 and 11 In the case of braced steel-concrete composite frames (i.e. buildings no 10 and no 11-EBF resisting system was adopted in X direction and CBF resisting system in Y direction- Fig. 11 ), the unique collapse criteria activated by different earthquakes were the ultimate deformation of shear links and the maximum elongation of concentric braces. The probabilistic procedure and the effects introduced by the ''fictitious production controls'' thus applied only to the most solicited shear link and the most solicited brace elements: the shear link located at the top story of the EBF configuration (Link5- Fig. 11a ) and the brace located at the lower storey, the left diagonal (diag1L- Fig. 11b ) of the CBF configuration.
The estimated failure probability of the cases no 10 and no 11 was lower than values usually suggested by the literature (Table 17) . Moreover, the additional production controls on the adopted steel qualities did not substantially modified the estimated failure probability not showing a clear trend as that identified in the cases 3 and 4 for which the design procedure led to a more optimised solution. The cases 6, 7, 8 and 9 were related to MRF resisting systems whose configuration is showed in Fig. 12a : their design was carried out assuming rigid connections and joints. These design assumptions and the adopted designing procedure gave as unique activated collapse criteria the ultimate rotation of plastic hinges. In particular, the probabilistic procedure focused on the elements 1-column base-and 12-beam- (Fig. 12a) , being the most solicited members. The results are reported Table 18 . In this case, the influence of variability of seismic action and of material mechanical properties was not so high to endanger the structural safety respect with relevant collapse modes. Moreover, the introduction of the additional quality control on the steel produced according to EN10025 (2004) did not produce appreciable variations of the failure probability of the collapse criteria, Fig. 12b , caused, on the contrary, mainly by the presence of the concrete. However, it is worth underlining that the adoption of steel-concrete solutions instead of the bare steel one for the columns guaranteed lower values of probability of failure associated to the plastic hinge rotation at the base of the columns.
7.2.3 MRF and CBF steel resisting system: case 1, 2, 5, 12, 13, 14 and 15
Cases 1, 2, 5, 12, 13, 14 and 15 were constituted by combined MRF/CBF resisting systems in the two main directions of the structures. ID numbers of the structural members of the analysed structures are shown in Figs. 13, 14, 15 and 16. In the case of steel buildings 5, 12 and 13, the structural members subjected to the probabilistic investigation were the bracings at the ground floor (braces 10, 11-Case 5-and brace 4-Case 13), the columns at the ground floor (columns 3 and 5-Case 5-columns 1 and 5-Case 12-columns 1, 3 and 5-Case 13) and the main beams of the two bays industrial building. The estimated probability of failure, reported in Tables 19, 20 and 21, indicated an extremely high safety level for structures designed according to the EN1998-1 (2005), if compared with the safety levels usually suggested in the literature. Moreover, the adoption of higher steel quality produced higher safety level for the collapse mode associated to column buckling while for the bracing members variation of probability of failure was less evident or negligible. Unfortunately, the mechanical properties samples generated for Cases 5, 12 and 13 did not allow applying the ''fictitious production controls'' because imposing an upper limit to the yielding strength even minimum, as 1.375 9 f y,nom , did not leave enough material samples to apply the probabilistic procedure. The entire probabilistic procedure, considering the ''fictitious production controls'' as well, was applied to the industrial buildings 14 and 15 and to the office buildings 1 and 2 on the more solicited elements for which the relevant collapse criteria can be activated: columns 3 and 5 of Case 1; columns 1 and 3 of Case 14; Columns 3 and 5 and Braces 24 and 28 of Case 15; braces 28 and 33 of Case 2 (see Figs. 15, 16 ). The collapse mode of the columns was the ultimate rotation of plastic hinge whereas the collapse criterion of the braces was the ultimate elongation in tension.
(a) The probability of failure associated to the relevant collapse criteria was, in all cases, inline with the safety limit usually accepted in structural safety under seismic actions. The variability of mechanical properties was completely covered by capacity design approach as for all the other cases previously analysed.
The introduction of the ''fictitious production controls'' induced a premature plasticization of dissipative zones so causing a moderate increase of the failure probability associated to ductile failure modes (Table 22) . Anyway, from a quantitative point of view, the influence of upper yielding limitation was very limited as in all the other cases. The study reported in this paper analysed in details the influence of materials properties variation on the seismic performance of steel and steel-concrete structures. Analysed structural solutions were obtained combining different lateral resisting systems (MRF, EBF and CBF), different steel qualities (S235, S275, S355 and S460) and adopting bare steel and steel-concrete composite solutions. A total of 15 tri-dimensional regular case-study structures were designed and their mechanical response and collapse modes characterised in detail. A probabilistic procedure was set-up in order to estimate the failure probability associated to the identified collapse modes. Moreover, in order to properly include the materials properties variability in the probabilistic procedure, a model of the mechanical properties-f y , f t , e u -of the European structural steel products (profiles, plates and reinforcing bars) was calibrated. It's necessary to underline that conclusions below presented are referred to data coming from analyzed structures, that, as previously presented, are characterized by regular shape and distribution of masses, while probably some additional consideration shall be made concerning buildings with irregular plan and/or elevation.
The first round of analyses carried out using the probabilistic procedure showed that the structural design method proposed by the Eurocodes, and in particular by the EN1998 (2005), guarantees a safety level consistent with the seismic safety levels usually accepted in the literature (Melchers 2002) for the considered buildings.
The probabilistic procedure was then applied for a second set of analyses in which a ''fictitious production control'' on the steel products was introduced. It was simulated the limitation of the upper yielding of the structural steels produced in accordance to the EN10025 (2004), introducing different maximum limits: f y,max \ 1.375f y,nom ; f y,-max \ 1.350f y,nom ; f y,max \ 1.30f y,nom ; f y,max \ 1.25f y,nom . The production was conditioned through the rejection of all the steel samples used for realising the ''dissipative elements'' in the structural cases and exceeding the maximum limits.
The limitation of the maximum yielding in dissipative zones produced two opposite effects: a decrease of failure probability in protected members and a contemporary increase of failure probability associated to the ductile failure modes. This effect was evident in those cases in which the design lead to the absence of any over-sizing, while in the other cases, the effect was less evident due to over-sizing often due to extremely demanding service limit states. The use of high-strength steel qualities compared to the usual structural steel qualities gave a clear decrement of the estimated failure probability.
Aforementioned results suggested possible improvements in the seismic design procedure of the EN1998. The material over-strength factor OV shall be differentiated according to the adopted steel quality. Moreover, the default value shall be quantitatively assessed for each quality in order to find a balance between the associated failure probabilities of ductile and not-ductile failure modes. See Figs. 17, 18, 19 and Tables 23, 24, 25, 26, 27, 28, 29 and 30 . Fig. 18 Comparison between models and statistical data: a mean and b CoV. of yielding stress for steel plates Table 23 Yielding stress (R e,H -f y ) for structural steel profiles; (*) this class can be adopted also for S275J0JR quality 
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